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9 Abstract:
10 This paper presents the experimental and numerical investigation on resistance of two-storey steel 
11 sub-frames subjected to a middle column removal scenario. Two different types of 1/2 scaled steel 
12 sub-frames with seismic configuration were fabricated and tested, they are: (1) welded connections 
13 with gross beam section (GBS) and (2) welded connections with reduced beam section (RBS, 
14 typically used for energy dissipation in earthquake design). Based on the test results, finite element 
15 models using explicit software LS-DYNA which can accurately replicate the response of the frames 
16 were created and validated. Using the validated model, the parametric studies were also performed to 
17 investigate the effect of different parameters on the progressive collapse resistance of the frame. Base 
18 on the experimental and numerical studies, the failure mechanism and collapse resistance capacities 
19 of these two types of frame systems are first time investigated. The test results indicated that the 
20 welded connections with RBS exhibits better performance due to the guaranteed formation of plastic 
21 hinges at the location of reduced section, as well as the avoidance of welding heat effect and brittle 
22 weld fracture at beam to column connections. Thus, RBS exhibits larger deformation capacity which 
23 is favorable in mitigating the possible progressive collapse.
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26 1. Introduction
27 Progressive collapse refers to a situation in which the failure of a local failure causes a major 
28 collapse, with the magnitude being disproportionate to the initial event. In recent years, the increasing 
29 terrorist attacks have increased the likelihood of progressive collapse. Due to its catastrophic 
30 consequences, progressive collapse has been the focus of engineers and researchers in the civil 
31 engineering research community.
32 Progressive collapse is a dynamic event, and many studies have examined the dynamic collapse 
33 performance. Previous studies have introduced the strain rate effects in dynamic progressive collapse 
34 analysis [1-2]. It has been reported that the strain rate effects could change the failure mechanism of 
35 the connections and influence the capacity of progressive collapse. To approximately compensate for 
36 dynamic effects when a static procedure is used, many procedures and explicit expressions have been 
37 proposed [3-5] and dynamic increase factor was investigated [6-8]. Ferraioli [9] developed a modal 
38 pushdown analysis procedure for progressive collapse assessment of multi-storey steel frame 
39 buildings under sudden removal scenario of a column due to catastrophic events. For steel frames, 
40 catenary action (CA) is an essential load resisting mechanism to redistribute the loads after column 
41 removal [10-11].
42 However, more researchers use static procedure during the test due to the difficulty in performing 
43 the dynamic tests. Some of existing tests are relied on two-dimensional tests replicate whole beam 
44 span and portions of structural frame were designed as boundary conditions [12-15]. Lew et al. [12] 
45 conducted an experimental study of two steel moment frame under a column-removal scenario, to 
46 investigate the behavior and failure modes of steel joints including the development of catenary 
47 action. Majority of these test specimens were only half beam span and the extremity of connections 
48 was pinned which was a simplified boundary condition [16-20]. Yang and Tan [16] presented seven 
49 experimental tests on the performance of common types of bolted steel beam-column joints under a 
50 central-column-removal scenario subjected to catenary action, and it indicated that tensile capacities 
51 of beam-column joints after undergoing large rotations usually control the failure mode and the 
52 formation of catenary action. Li et al. [17] investigated behavior of two steel joints subjected to 
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53 column loss and effective catenary action was developed in both specimens. The effects of slab 
54 flange were also considered [21-28]. 
55 Although several studies had been carried out on progressive collapse resistance of steel sub-
56 assemblages with different types of connections, studies especially tests on multi-story beam-column 
57 sub-frames were still scarce. Li et al. [29-30] carried out a series test of two-bay by two-story steel 
58 frame with welded connections subjected to sudden column removal scenario. It was found that the 
59 mobilization of catenary action in the first story was more significant than that of second story. Thus, 
60 assuming all upper stories above the lost column performed similarly and developing equally load 
61 resistance may be not accurate. It was necessary to carry out multi-story frame tests for deep 
62 understanding the behavior of steel frames subjected to the loss of column scenarios. To tackle this 
63 problem, in this paper, a series of two two-story by two-bay half-scale steel sub-frames using welded 
64 connections with seismic configuration were fabricated and tested. In this study, a quasi-static 
65 loading scheme is adopted and strain rate effects are not considered. Based on the test results, finite 
66 element models using explicit software LS-DYNA which can accurately replicate the response of the 
67 frames are created and validated. Using the validated model, the parametric studies are also 
68 performed to investigate the effect of different parameters on the progressive collapse resistance of 
69 the frame.
70 2. Experimental program
71 2.1. Test specimens
72   As shown in Fig. 1, the prototype frame was a six-story steel frame with six bays in both 
73 longitudinal and transverse directions. The span in longitudinal and transverse directions was 8.4 m 
74 and 6.0 m, respectively. The specimen was designed in accordance with seismic design requirements 
75 of AISC-341 [31]. The design dead and live loads were 5.1 kN/m2 and 3.0 kN/m2, respectively. The 
76 connections were designed in accordance to FEMA 350 [32]. Only two-bay by two-story sub-frame 
77 was extracted from the prototype frame for experimental tests for a middle column lost. Owing to 
78 space, facility and cost limitation, only half-scale specimens were tested. As represented in Fig. 2, the 
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79 beam span was 3000 mm and column height was 1500 mm. Extra overhanging beam with length of 
80 655 mm, connected with a roller, was extended  outside the side column to simulate horizontal 
81 constraints from the remaining structures of the six-story steel frame. Two types of connections are 
82 tested: (1) welded connection with gross beam section (Specimen GBS) and welded connection with 
83 reduced beam section RBS (Specimen RBS), as it shown in Fig. 3. For GBS, the beam flange and 
84 web were welded to column flange by full penetration welds. Continuity plates with thickness of 10 
85 mm were used in the column. For RBS, similar to GBS, the beam flanges and web were connected to 
86 the column by same weld. However, partial of beam flanges, at a distance of 70 mm from the column 
87 flange, was cut in a circular manner, as shown in Fig. 3b. 
88   In both specimens, HW 150×150×7×10 and HN 200×100×5.5×8 were used for column and 
89 beam, respectively. The steel used in test was Chinese Q235. The yield strength (fy), yield strain (μy), 
90 tensile strength (fu), fracture strength (ff), and total elongation (Agt) of the steel in different 
91 components are given in Table1. 
92 2.2. Test setup and instrumentation
93   Fig. 4 gives the experimental setup and locations of instrumentations. The bottom of the side 
94 column was connected to a pin support while the overhanging beam at both sides was connected to 
95 an A-frame via a roller connection. The middle column at first story was removed prior to loading 
96 process started. This is to simulate column removal due to accidental or incidental events. A 
97 hydraulic jack (Item 1 in Fig. 4) was utilized to apply the vertical displacement at the top of middle 
98 column until complete failure. A steel column together with a steel assembly was installed beneath 
99 the hydraulic jack (Item 1 in Fig. 4) to prevent any undesired out-of-plane failure. The axial 
100 compressive force with ratio of 0.3 to it is capacity was applied at the side column by a hydraulic 
101 jack (Item 4 in Fig. 4) with a self-equilibrium system. To monitor the structural behavior, extensive 
102 instrumentations were installed. A load cell (Item 2 in Fig. 4) was installed below the hydraulic jack 
103 (Item 1 in Fig. 4) to measure the applied concentrated load. Tension/compression load cell (Item 5 in 
104 Fig. 4) was installed at each roller connection to measure the horizontal reaction force of the roller. 
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105 To measure the vertical and horizontal reaction forces of the pin support, a load pin (Item 6 in Fig. 4) 
106 was installed at each pin support. Moreover, a series of linear variable differential transformers 
107 (LVDTs) (Item 7 in Fig. 4) were installed along the beam span and column height to measure the 
108 deformation shape of the beams and columns.
109  As shown in Fig. 2, 12 sections a series of strain gauges or strain rosettes were employed to 
110 monitor the axial forces and bending moments of beams in detail. Moreover, the load resistance from 
111 each story was also determined based on the strain gauge results.
112 3. Experimental results
113   As mentioned above, Specimens GBS and RBS were tested under monotonic vertical load until 
114 failure. The test results were described as below, and the key results were summarized in Table 2.
115 3.1. Load-displacement curves 
116   Fig. 5 shows the vertical load-displacement curve of GBS and RBS. At the initial loading stage, 
117 the specimens were in elastic stage, and the vertical force increased more or less linearly with the 
118 increase of vertical displacement. 
119 For GBS, the yield load of 147.8 kN was recorded when middle column displacement (MCD) 
120 reached 45 mm, which corresponded to the rotation θ of 0.015 rad. The rotation was defined as the 
121 ratio of MCD to the beam span. However, yield load of RBS was106.8 kN at an MCD of 37 mm (θ = 
122 0.012 rad). Therefore, the initial stiffness, representing the ratio of yield load to yield displacement, 
123 of GBS and RBS was 3.3 kN/mm and 2.9 kN/mm, respectively. As shown in the figure, the load 
124 resistance of GBS was higher than that of RBS before GBS reaching its peak load (PL) of 197.5 kN 
125 corresponding to an MCD of 200 mm (θ = 0.067 rad). After reaching PL, the load resistance of GBS 
126 began to drop slowly due to weld fracture failure noticed near the connection of the middle column in 
127 the first story. However, when MCD reached 281 mm (θ = 0.094 rad), the load resisting capacity of 
128 GBS began to re-ascend due to axial force developed in the second story (catenary action).  The 
129 ultimate deformation of GBS was 377 mm (θ = 0.126 rad) and load resisting capacity at ultimate 
130 deformation was 187.9 kN, which was about 95.1 % of its PL. Different to GBS, RBS kept 
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131 increasing until reaching its PL of 407.0 kN at an MCD of 468 mm (θ = 0.156 rad). Thus, the PL and 
132 ultimate deformation capacity of RBS was 106.1 % and 24.1 % higher than that of GBS, respectively. 
133 The measured rotation capacity of RBS is about 201.0 % of the value determined according to FEMA 
134 350 [32].  Therefore, GBS has a higher initial stiffness and load resisting capacity before the failure. 
135 But pre-mature weld failure at beam-column connection would decrease deformation capacity of 
136 GBS significantly. For RBS, the plastic hinges were formed at the center of the reduced beam section, 
137 which would prevent the early fractures in the welding connection of the specimen.
138 3.2. Damage development and failure modes
139   For GBS, with the increase of the vertical displacement, fracture first occurred at the beam 
140 flange in the region of middle column on first story (BEMC-1), as well as left beam end close to the 
141 edge column on first story (LBESC-1) with MCD recorded of 200 mm (θ = 0.067 rad). Then, the 
142 fracture propagates into the web. At an MCD of 377 mm (θ = 0.126 rad) BEMC-1 fractured, while 
143 BEMC-2 fractured at the MCD of 410 mm (θ = 0.137 rad). The failure mode of GBS is illustrated in 
144 Fig. 6. As shown in the figure, complete fracture was observed in the left side of BEMC-2 and right 
145 side of BEMC-1. However, only top flange and partial of web was fractured in LBESC-1.  
146   For RBS, plastic hinges were formed at the reduced sections at an MCD of 37 mm (θ = 0.012 
147 rad). Due to considerable tensile axial force developed in the beams, fracture was first observed at 
148 beam reduced section nearby the right side column of first story (RBESC-1) at an MCD of 468 mm 
149 (θ = 0.156 rad). Fig. 7 shows the failure mode of RBS. As shown in the figure, fracture only observed 
150 in RBESC-1. Further increasing the displacement was prevented due to stroke of the jack reached its 
151 capacity. From the figure, the pealing zone of BEMC-1 was greater than that of BEMC-2. And larger 
152 plastic rotation was concentrated in BEMC-1. 
153 3.3. Deformation measurements
154   The deformation shape of edge column was shown in Fig. 8. As shown in Fig. 8a, inward 
155 movement was observed at the position coincide with the beam axis. However, the inward movement 
156 at the position coincide with the beam axis of second story was much larger than that of first story as 
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157 greater catenary action developed in there. The pre-mature fracture in BEMC-1 and LBESC-1 
158 prevents further developing catenary action in the beams of first story. Moreover, double curvature 
159 was observed in edge column. However, the location of contra-flexural point was varying with 
160 increasing MCD.  The maximum inward movements of the points coincide with beam axis in the first 
161 and second stories were 3.2 mm and 9.1mm, respectively. For RBS, as shown in Fig. 8b, no contra-
162 flexural point was observed in the side column due to both beams developed considerable tensile 
163 force. Moreover, the maximum inward movements of the point coincide with beam axis in the first 
164 and second stories were 11.6 mm and 21.0 mm, respectively. 
165   Fig. 9 shows the deflection shape of the beams in the first story at different displacement stages. 
166 In elastic stage, for both specimens, the deformation shape of the beams was similar to a straight line. 
167 For GBS, the beam deformation in the first story was mostly concentrated on the beam end near edge 
168 column rather than the middle column, thus the fracture finally developed in BEMC-1. For RBS, 
169 further increasing MCD, the deformation of first story appeared on the both beam end nearby the 
170 middle column and side column. Plastic hinges formed in reduced beam sections and double 
171 curvature was observed.  
172 3.4. Horizontal reaction force
173   Fig. 10a illustrates the horizontal reaction v.s. vertical displacement curve of GBS. From the 
174 figure, compressive force was mainly attributed into the bottom pin support. The maximum 
175 compressive force of -24.7 kN was measured at an MCD of 48 mm (θ = 0.016 rad) in the bottom pin 
176 support. When the MCD reached 144 mm (θ = 0.048 rad), the compressive force was transferred into 
177 tension. However, the tensile force from the bottom pin was always marginal in catenary action stage 
178 and majority of tensile force was provided by the rollers connected to the overhanging beams in the 
179 first and second stories. However, it should be noted that the maximum tensile force measured in the 
180 first and second stories were 126.1 kN and 253.5 kN, respectively. This may due to pre-mature 
181 failure occurred at the first story. Focusing on the total reaction force, tensile force was measured 
182 when the MCD exceeded 115 mm (θ = 0.038 rad). Thus, for GBS with welded connections, the 
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183 catenary action was mobilized at 3.8 % of the beam span. Fig. 10b illustrates the horizontal reaction 
184 force-vertical displacement curve of RBS. Similarly, the compressive reaction force was mainly 
185 attributed into the bottom pin support. However, different to GBS, in catenary action stage, the 
186 tensile force from the first and second story was almost identical. The maximum total tensile force 
187 was 875.9 kN, which was about 241.0 % of that of GBS. 
188 3.5. Internal force measurements
189  The axial force and bending moment can be calculated conveniently according to Eqs. 1 and 2. 
190 As the middle portion of the beam kept straight during test, strain gauge results in sections B9 and 
191 B10 were utilized to determine the internal forces. Fig. 11 is the free body diagram of the beam 
192 portion between sections B10 and B9. From basic analysis, the shear force can be calculated by Eq. 3: 
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199 gauges at flanges (an averaged strain for each flange);  is the height of web;  is the distance wh L
200 between sections B10 and B9.
201   The vertical and horizontal force of the beam in the first story could be determined by Eqs. 4 
202 and 5, respectively. 
203                                           (4)1 1 10 1 10cos sinV B BF V N  
204                                          (5)1 1 10 1 10sin cosH B BF V N  
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205 where  and  are the vertical force and horizontal reaction force of a beam in the first story. 1VF 1HF
206 According to Fig. 9, the deflection between beam spanwise distance of -2250 mm and -750 mm can 
207 be approximated as a straight line,  is the rotation at section B10 which equals to the rotation at 10B
208 beam spanwise distance of -2250 mm. 
209     The vertical force and horizontal reaction force of the beam in second story can be calculated 
210 similarly. Fig. 12 compares the total vertical load resistance and total horizontal reaction force based 
211 on strain gauge results with that measured from tests. As shown in Fig. 12a, for GBS, before MCD 
212 reached 280 mm (θ = 0.093 rad), the vertical load resistance and horizontal reaction force determined 
213 based on strain gauge results agreed with the load cell measured values well. When MCD was 
214 beyond 280 mm (θ = 0.093 rad), the discrepancy became larger due to partial of strain gauges faulted. 
215 For RBS, both vertical load resistance and horizontal reaction force determined from strain gauge 
216 results agreed with the load cell measured results well. Therefore, it was reliable to use strain gauge 
217 results to determine the bending moment and axial force of the beams. Moreover, based on strain 
218 gauge results, the load resistance of each story could be determined.    
219   Fig. 13 illustrates the variation of the total bending moment and total axial force of the 
220 specimens while Fig. 14 gives the de-composition of load resistance from catenary action (CA) and 
221 flexural action (FA). As shown in Fig. 13, before MCD reached 128 mm (θ = 0.043 rad) and 144 mm 
222 (θ = 0.048 rad), bending moment and flexural action dominated the load resistance of GBS and RBS, 
223 respectively. After that stage, FA and CA worked together to help redistribute the applied load. Thus, 
224 it was not accurate to assume that the load resistance purely relied on CA in large deformation stage 
225 [33-35]. 
226 4. Discussion of experimental results
227 4.1. Contribution of load resistance
228   Fig. 15 decomposes the load resistance from first and second stories. It can be seen that the load 
229 resistance from the first story dropped quickly after weld fracture at the connection. Therefore, the 
230 behavior of each story may be quite different due to variation of quality welding workmanship. For 
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231 RBS, the load resistance from each story was similar during the test. However, for both specimens, 
232 the load resistance from the first story was slightly larger than that from the second story, similar 
233 phenomena has been discovered by Fu [36]. To reveal the difference, the axial force and bending 
234 moment results of each story were determined and presented in Fig. 16. As shown in the figure, the 
235 bending moment from the first story was slightly larger than that from the second story mainly due to 
236 higher rotational restraints from the side column. The axial force in the first story was always tensile 
237 during the test while compressive force was measured in the second story first. This could be 
238 explained as the two-story frame could be analyzed as a deep beam. The beams in the first story 
239 suffered tensile force while the second story suffered compressive force when a concentrated load 
240 was initially applied in the middle column.  
241 4.2. Bending moment-axial force interaction diagram
242   Fig. 17 shows the moment and axial force interaction diagram of tested specimens. The 
243 theoretical interaction diagrams of the beam section were calculated based on the measured yield and 
244 ultimate strength from coupon tests (ANSI/AISC 360-10 [37]). As shown in the figure, the bending 
245 moment capacity of GBS exceeded its theoretical yield capacity. However, it is less than its 
246 theoretical ultimate strength. For RBS, the measured bending moment capacity is larger than its 
247 theoretical ultimate strength based on reduced section. However, it is still less than the theoretical 
248 ultimate strength of GBS. 
249 4.3. Practical implications from experimental results of RBS
250   The RBS connection was designed to only resist pure bending in seismic loading according to 
251 FEMA 350 [32] and ANSI/AISC 358-10 [38]. However, it will be subjected to combine bending and 
252 tension when a middle column is removed. Previous works [12, 39] indicated that the current 
253 acceptance criteria of rotation capacity for RBS connection are probably too conservative. Plastic 
254 hinge formed in RBS connection would help to enhance its rotation capacity and enable full 
255 development of tying capacity. Thus, it was necessary to develop a calculation model for quantify  
256 the tying capacity of RBS connections. 
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257  According to Chapter H of ANSI/AISC 360-10 [37], the required axial strength were rP
258 corrected owing to the presence of the bending moment. The tying capacity of RBS connection can 
259 be determined by Eq. 6:
260                                                    (6)
8  1.0 ,      0.2      
9
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261 where  is the available axial strength,  and  are the required and available flexural cP rM cM
262 strength, and  and  are the subscript to represent strong axis and weak axis, respectively.x y
263   As the tensile force dominated the behavior and failure mode of RBS at large deformation stage, 
264 Yang and Tan [16] proposed the tying resistance of the connections equal to the contribution of CA.
265   Thus, the tying resistance  of RBS connection can be described as followed: rP 
266                                                                                                                                 (7)crr PP sin
267 where  is the rotation capacity of RBS connections. c
268   The probable maximum moment at the center of reduced beam section specified in FEMA 350 
269 [32] is evaluated based on the yield capacity. As mentioned above, the capacity of RBS exceeded the 
270 ultimate capacity of RBS under combined axial and flexural loads. Similar observation was 
271 concluded by Sadek et al. [40]. This implies that the acceptance criteria give a low-bound estimation 
272 for RBS connection. 
273 5. Numerical analysis
274 5.1. Numerical model
275   To further investigate the behavior of steel sub-frames with RBS against progressive collapse, 
276 FE models using explicit software LS-DYNA [41] were employed due to its numerical stability and 
277 variety of constitutive models [42-50]. Many other software has been used in progressive collapse 
278 analysis [51], however, it is found that LS-DYNA is one of the most powerful software. Therefore, it 
279 is used here. The FE models were validated by comparing with experimental results. As shown in Fig. 
12
280 18a, boundary conditions applied on the FE models replicates that from the experimental tests. Due 
281 to the complication in simulation of horizontal constraints (inevitable gaps exists in rollers), springs 
282 was used to simulate the horizontal constraints at the overhanging beams, as shown in Fig. 18b. The 
283 stiffness of the springs was determined based on the measured horizontal reaction force of the roller 
284 and lateral displacements, as shown in Table 3. A vertical displacement was applied at the middle 
285 column. In order to avoid dynamic vibration due to step force, smooth step amplitude displacement 
286 control was used. Further, the ratio of the kinetic energy and external work was maintained less than 
287 1 % [39].
288   Fig. 18b shows the FE model of the specimen. The beam/columns were simulated by 8-node 
289 solid elements with a reduced integration, but the springs used discrete elements. As numerical 
290 results are sensitive to the material properties, adopting appropriate constitutive model is crucial. 
291 Within the material library of LS-DYNA, an isotropic elastic-plastic material model 
292 *Mat_Piecewise_Linear_Plasticity (MAT_024) was used for steel. The measurements showed that 
293 the deviations from the nominal geometries of the two specimens were very small. The FE models 
294 were created using the nominal values. The material properties were defined based on measured 
295 material property (see Table 1). Pin supports were simulated by using the keyword 
296 *CONSTRAINED_JOINT_REVOLUTE (see Fig. 18b). 
297 Fig .19 shows the mesh of the joint zone with different sizes. For Mesh 1, 10 mm was meshed in 
298 the potential plastic hinge zone while remaining parts were meshed with size of 30 mm. For Mesh 2 
299 and 3, the remaining parts were meshed with size of 20 mm and 10 mm, respectively.  As shown in 
300 Fig. 20a, there was no big difference for Mesh 1, 2, and 3 in terms of initial stiffness, peak load, and 
301 deformation capacity. Therefore, Mesh 1 was selected in this numerical study due to computational 
302 cost consideration. 
303 5.2. Verification of numerical model
304    Figs. 20-21 show the comparison of the experimental and numerical results. In generally, the 
305 numerical models agree well with the experimental results  in terms of vertical load resistance, 
13
306 horizontal reaction force, and axial force in beams. Figs. 22 and 23 show the simulated failure mode 
307 of GBS and RBS, respectively. Comparing with test results, the fracture of the connection and plastic 
308 deformation of the connections were well simulated.  Thus, it was reliable to adopt the validated FE 
309 models for further parametric study. 
310 6. Parametric study
311    Based on the validated models, the effects of span/depth ratio and other section reduction 
312 method on behavior of steel frames to resist progressive collapse were quantified.
313 6.1. Span/depth ratio
314    Fig. 24 illustrates the influence of different span/depth ratio  on load resistance of RBS. where k
315 ,  represents the beam span and  represents the height of beam. Moreover,  beamk L d L beamd beamd
316 keeps constant and beam span increases with increase of the span/depth ratio. As shown in the figure, 
317 when  decreased from 15 to 10, the PL increased by 12.1 % and the ultimate deformation capacity k
318 decreased by 31.0 %. However, when  increased from 15 to 22.5 and 30, the deformation capacity k
319 increased by 56.3 % and 102.3 %, respectively. However, the PL decreased by 3.3 % and 0.8 %, 
320 respectively. The deformation capacity of the specimen decreases with decrease of the span/depth 
321 ratio. However, it will not affect the PL significantly as PL was mainly controlled by catenary action. 
322 If the MCD was replaced by rotation, which was defined as the ratio of MCD to beam span, the 
323 span/depth ratio will affect the initial stiffness of the steel frame significantly. However, it will not 
324 affect the rotation capacity significantly, as shown in Fig. 24b.
325 6.2. Different section reduction methods
326        To investigate the collapse behavior of the welded connection with reduced beam section (i.e. 
327 reduced beam section) further, four reduction types are investigated (refer to Fig. 25). Morshedi et al. 
328 [52] provided a reference for the design of the double reduced beam section (DRBS) (refer to Fig. 
329 25a). Opening in bean flange (OBW) (refer to Fig. 25b) is proposed by Chung et al. [53] as an 
330 effective method to improve the behavior of steel frame to resist progressive collapse. Meng [54] 
331 suggested an innovative method to punch an opening in bean flange (OBF) (refer to Figs. 25c and 
14
332 25d), where OBF-2 and OBF-3 represent two and three holes in beam flange, respectively. However, 
333 the total opening area of OBF-2 and OBF-3 was identical.
334 6.2.1. Double reduced beam section
335 Fig. 26a compares the load resistance of RBS and DRBS. As can be seen from the figure, the 
336 curves almost coincide before the MCD of 36 mm (θ = 0.012 rad) in elastic stage. Similar to RBS, 
337 with increasing the vertical displacement, plastic hinges were formed at the position of reduced 
338 sections in DRBS. Actually, before fracture occurred in the beam of RBS, these two curves are 
339 similar. The PL of RBS and DRBS were 394.8 kN and 544.2 kN, respectively. The ultimate 
340 deformation capacity of RBS and DRBS were 435 mm (θ = 0.145 rad) and 529 mm (θ = 0.176 rad), 
341 respectively. Thus, DRBS could increase the PL and deformation capacity by 37.9 % and 21.5 %, 
342 respectively. The failure mode of DRBS is shown in Fig. 27.
343 6.2.2. Perforated beam section
344 OBW, OBF-2 and OBF-3 are perforated openings with same total opening area at the web or 
345 flanges base on the validated FE model of GBS.  Fig. 26b compares the load resistance of GBS, 
346 OBW, OBF-2, and OBF-3. As can be seen from the figure, OBW achieved the highest PL and 
347 deformation capacity in these perforated beam section specimens. When MCD reached 30 mm (θ = 
348 0.010 rad), plastic hinges concentrated in the perforated zone of the web and propagates rapidly. At 
349 MCD of 415 mm (θ = 0.138 rad) corresponding load resistance of 225.0 kN, BEMC-1 fractured at 
350 the bottom flange. At MCD of 500 mm (θ = 0.167 rad) and 550 mm (θ = 0.183 rad), bottom flanges 
351 in BEMC-1 and BEMC-2 completely fractured one by one. However, the load resistance did not 
352 decrease until the fracture propagated into the top flange and completely detached at MCD of 600 
353 mm (θ = 0.200 rad). The failure mode of OBW is shown in Fig. 28. Completely fracture occurred in 
354 the center of opening of the beam web. Compared with GBS, the PL and deformation capacity of 
355 OBW was increased by 20.9 % and 76.5 %, respectively. 
356 As shown in Fig. 26b, compared with GBS, the deformation capacity of OBF-2 and OBF-3 
357 were increased by 44.8 % and 62.4 % respectively. However, the PL of OBF-2 and OBF-3 were only 
15
358 about 58.4 % and 79.6 % of that of GBS. Therefore, punching opening in the flange of the beam 
359 section will decrease the load resistance but increase the deformation capacity. OBF-3 performed 
360 much better than that of OBF-2 mainly due to larger opening size in OBF-2 although total opening 
361 area was same in these two models. The failure modes of OBW-2 and OBW-3 are shown in Figs. 29 
362 and 30. The fracture of OBW-2 and OBW-3 first occurred in the perforated beam section of the 
363 flange. 
364 7. Conclusions
365    The experimental investigations under a middle column removal scenario were carried out to 
366 study the behavior of steel substructures with welded connection with seismic configurations. Based 
367 on experimental results, detailed FE models were established to conduct parametric study using finite 
368 element software LS-DYNA. The following conclusions are drawn: 
369 1. The experimental results indicated that the performance of welded connection with RBS was 
370 superior to the welded connection with GBS. The resistance and deformation capacity of RBS 
371 was 106.1 % and 24.1 % higher than that of GBS. 
372 2. At the initial stage of column removal, the beams in different stories deform together. Thus, the 
373 beams in the first story suffered tension while the beams in the second story experienced 
374 compression. Looking at the load resistance, in relatively small deformation stage, the load 
375 resistance from the beams in the first story is higher than that of the beams in the second story. 
376 However, in large deformation stage, the load resistance of these two stories is similar for RBS. 
377 For GBS, the load resistance of the beams in the first story is much less than that from second 
378 story in large deformation stage may be due to undesired pre-mature fracture at the welding 
379 connection of the first story. 
380 3. Experimental results indicated that flexural action and catenary action worked together to resist 
381 progressive collapse of the frame in large deformation stage. It was confirmed that measured 
382 rotation capacity of steel frames with welded connections, especially with reduced beam section, 
383 is much larger than the value predicted based on design code FEMA 350 [32].
16
384 4. Analytical results indicated that the measured bending moment capacity of critical section could 
385 exceed the yield bending moment capacity due to bending moment-tension composite action. 
386 5. Numerical and parametric studies indicated that the deformation capacity of steel frames increase 
387 as the span-depth ratio increase. However, span-depth ratio has little effects on ultimate rotation 
388 capacity and ultimate load. Double reduced beam section could further upgrade the load resisting 
389 capacity and deformation capacity of the steel frames. Punched openings in the beam flange will 
390 decrease the initial stiffness and load resistance but increase the deformation capacity 
391 significantly.
392 6. Catenary action contributes to arrest progressive collapse of steel structures at large deformation 
393 stage, therefore, sufficient deformation capacity of the connection should be designed. This 
394 implies that engineers could adopt effective section reduction methods to motivate catenary 
395 action of the steel frames adequately, but it should be taken in moderation due to the decrease of 
396 its load resisting capacity.  
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527 Table 1-Material properties from coupon test of the connection
Element t (mm) fy (MPa) μy fu (MPa) ff (MPa) Agt (%)
Beam flange 8.0 310 0.0019 420 315 12.0
Beam web 5.5 320 0.0021 430 340 13.5
Column flange 10.0 300 0.0019 410 300 14.0
Column web 7.0 295 0.0023 375 265 13.0


























GBS 45 0.015 147.8 3.3 200 0.067 197.5 463.1 661.9
RBS 37 0.012 106.8 2.9 468 0.156 407.0 382.7 1712.4
534 Note: FYL and FPL = yield load and peak load capacity; uYL and uPL = displacements corresponding the yield load and peak load; KYL = stiffness 
535 corresponding the yield load; θYL and θPL= chord rotation corresponding the yield and peak load; Mmax and Nmax = maximum bending moment and 




540 Table 3-Stiffness horizontal restraints
Element Horizontal restraints Stiffness (×103 N/mm) Gap (mm)
1st story 46.4 0.5
GBS
2nd story 51.0 4.1
1st story 39.2 0.7
RBS
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612                        (a) Arrangements of strain gauges/rosettes and displacement transducers
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678 Fig. 12 Comparisons of vertical load resistance and horizontal reaction force from strain gauge and 
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688 Fig. 14 De-composition of the load resistance from different actions: (a) GBS (b) RBS
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697 Fig. 16 Comparisons of the bending moment and axial force variation in 1st story and 2nd stories: (a) 
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726 Fig. 20 Comparison of experimental and numerical results of GBS: (a) vertical force; (b) horizontal 



























































































737 Fig. 21 Comparison of experimental and numerical results of RBS: (a) vertical force; (b) horizontal 
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760 Fig. 25 Details of different types of reduced beam section (unit in mm): (a) DRBS; (b) OBW; (c) 
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799 Fig. 30 Failure mode of OBF-3: (a) overall view; (b) zone-in view
